INTRODUCTION
During the 1995 Hyogoken-Nambu earthquake, extensive liquefaction occurred on reclaimed lands. A three story steel building built on piles suffered serious differential settlement, suggesting the existence of serious damage to piles. An investigation of the piles was performed by excavation around the pile head and by inserting a remote controlled television camera and an inclinometer into the hollow spaces of the piles. Serious damage to the piles was observed at the bottom of the fill. Dynamic analyses on the ground and the soil-pilebuilding model, as well as pseudo-static analyses were conducted to clarify the cause and the process of the damage.
INVESTIGATION OF DAMAGE
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0.45 m for others, and the length is 28 m, composed of two piles joined at a depth of 13 m below the ground surface. The piles were driven into the diluvial sand layer by a diesel hammer. The design dead loads are 640 kN for the corner piles and 930 kN for others. Figure 4 shows the details of the pile to pile cap joint. The pile cap is 1.2 m square and is 1.5 m high for piles of 0.45 m in diameter. The dimension is 1.0 m square for piles of 0.35 m in diameter. Footing girders are 0.45 m wide (extended to 0.65 m at both ends) and 0.9 m high. The pile head is embedded into the pile cap to approximately 6 cm, and 9 prestressing tendons of 9 mm diameter, are anchored into the pile cap to a length of about 55 cm. The location of the pile head was about 80 cm below the ground surface after the earthquake. After the earthquake, sand boils and settlements of 30-60 cm were observed at the site, indicating that liquefaction occurred during the earthquake. The building tilted in a southwest direction and exhibited a vertical gap of the floor level to the neighboring warehouse. The building suffered functional problems such as blocked doors, breakage of pipings, some floor cracks on a floor, and minor cracks on non-structural walls, while no clear damage to structural members was observed. After demolishing the building the inclination of the foundation was measured. The foundation was inclined towards southwest, resulting in settlements of 21 to 25 cm (tilt angle of 1/38-1/45) in the east-west direction and 35 to 39 cm (tilt angle of 1 / 77-1 / 86) in the north-south direction.
Measurements of the permanent displacement of the building and the surrounding ground were conducted by comparing the aerial photographs before and after the earthquake. The identified displacement of the building at the roof level was 55-65 cm, including the displacement by tilting, in the southwest direction as described in Fig. 5 , which is consistent with similar measurements done by Hamada et al. (1995) .
Investigation of Damage to Piles
Four piles indicated in Fig. 3 were selected and observa- Figure 6 shows the measured residual displacement along the depth, and Fig. 7 shows the residual deformation modes projected on a horizontal plane, which are relative to the pile tips for Piles No. 2 and No. 3 and to the 7.5 m below the ground surface for Pile No. 1. As an inclination of about 1/ 100 presumably due to a construction error was measured at a depth below 9 m on Pile No. 2, the measured residual displacement for Pile No. 2 is corrected by deducting the assumed initial inclination of 1/ 100. In Pile No. 1, the hollow space in the pile was filled with some objects, which might be crushed concrete, at a depth of about 8 m, so the deeper measurements could not be made. The measured residual displacement of Pile No. 2 and No. 3 indicates that these piles were bent at a depth of about 9 m towards southwest, proving the validity of the sonic integrity tests. The inclination above a depth of 9 m was 1/ 28-1/ 47 in the north-south direction and 1/21-1/57 in the east-west direction, which is consistent with the measured inclination near the pile head. Figure 8 shows extended elevations of the inside walls of piles which are drawn based on the recorded view by the television camera. Some parts were not clearly observed due to muddy water. Many cracks are observed at depths between 3-6 m from the ground surface, and large cracks which accompany concrete fracture along The failure of these piles occurred at a depth about 1 m below the border between the reclaimed fill and the underlying alluvial clay layer. The observed depth of failure validates the measurements of the sonic integrity test and the inclinometer survey. It is assumed that these lailures were caused by the amplified deformation of the g round due to soil liquefaction in the reclaimed fill. Below the depth of failure, including the joints at a depth of about 13 m, no damage was observed.
MODELING OF SOIL AND DYNAMIC RESPONSE ANALYSIS Modeling of Soil
Undisturbed samples of the reclaimed fill of the gravelly sand were recovered by a triple tube sampler, at a depth of 6 m below the ground levels where the SPT Nvalue is about 5 to 6. The grain size distribution curve of the sample tested is shown in Fig. 9 . The gravelly sand has a mean grain size D50 of 0.6 to 1.8 mm and a fines content of 4 to 7%, showing similarity to other samples and sand boils recovered at the Kobe Port Island (Miwa et al., 1997) . The results of the undrained cyclic triaxial tests are shown in Fig. 10 in terms of the cyclic stress ratio and the number of cycles causing 5% axial strain in double amplitude. The liquefaction resistance of the recovered sample is similar to those for other samples of Masado soil by frozen sampling and by triple tube sampling (Miwa et al., 1997) .
The behavior of the recovered reclaimed fill was modeled by the 'Stress-density model' (S-D model) (Cubrinovski, 1993) . The dilatancy parameters of the model were determined to fit the liquefaction resistance obtained in the laboratory test. The simulated values are plotted in Fig. 10 . The computed shear stress-strain relations and the effective stress paths for the cyclic stress ratio of 0.3 are presented in Fig. 11 . The strong motion record in the N-S direction observed at the Higashi Kobe Bridge Station, which is about 500 m from the building, was used as an input to the soil column model. The acceleration time history of the input motion is shown in Fig. 13 .
Computed time histories of ground surface acceleration, displacement, and excess pore pressure ratios at three depths in the reclaimed fill, are shown in Fig. 14 , and the distribution of the maximum acceleration and the maximum ground displacement are plotted in Fig. 15 . The labels A, B, C, and D in Fig. 14 , are times at which the pseudo-static analyses were conducted; these will be presented in the subsequent section. The pore pressure ra- tios reach 1.0 at 8-9 seconds after the initiation of the shaking, suggesting that all the reclaimed fill layers below the water table liquefied around this time. The acceleration at the ground surface shows sharp peaks associated with the cyclic mobility after the initiation of liquefaction. The maximum acceleration decreases in the alluvial clay and slightly increases in the reclaimed fill layer. The maximum relative displacement of the ground surface to a depth of 27.5 m is about 30 cm.
In the reclaimed fill above the water table, the maximum shear strain development is less than 0.1%, so the stiffness degradation is small: about 1/2 of the initial stiffness which can be determined from the shear wave velocity measurement. As a result of soil liquefaction, the reclaimed fill below the water table shows large stiffness degradation producing a maximum shear strain of 2-3%. The alluvial clay layer also exhibits large stiffness degradation with a large maximum strain up to 1.5%. Representative shear stress-strain relations of each layers are shown in Fig. 16 . Kazama et al. (1995) , Kokusho et al. (1995) , and Yoshida (1995) have evaluated the strain levels developed during the 1995 Hyogoken-Nambu earthquake based on the vertical array records and analyses. The evaluated maximum strains are 1-5% for the liquefied reclaimed fill layers and 0.1-2% for the alluvial clay laym-s. The shear strains for the reclaimed fill evaluated in the current analysis lie in the middle of the range of the previous studies, while those for the alluvial clay lie in the upper range.
Dynamic Response Analysis of Soil-pile-building (SSI) Model A two dimensional effective stress analysis using a soilpile-building model (SSI model) was conducted. The computer program, the constitutive model and the input Fig. 17 . A near surface soil deposit 27.5 m deep and 109 m wide was modeled, and was discretized into 19 layers. The base of the model was fixed, and the nodes on the side boundaries were specified to yield the same horizontal and vertical displacement. The reclaimed fill under the water table and the alluvial clay were modeled in the same way as in the one-dimensional soil column analysis, while the reclaimed fill above the water table was modeled as linear material. To investigate the contribution of the lateral support by the unsaturated layer at the surface, the following two different values of shear stiffness for this layer were used:
(1) Secant modulus derived from the stress-strain curve in the soil column analysis as described in Fig. 16 (shear modulus is about 1/2 of the initial stiffness Go= pl .5.2) (2) Modulus of deformation E0=686 x SPT-N, kN/ m2 and the assumed Poison's ratio of 0.2 (shear modulus is about 1/20 of the initial stiffness Go=pV)
The building was modeled with elastic beam elements. The properties of the beam elements are tabulated in Fig.  17 . To separate the contribution of the inertial force of the building and the ground deformation on the pile stresses, a SSI model without the building model was also used. The numerical cases are listed in Table 1 .
The piles were modeled by nonlinear beam elements having hyperbolic hysteresis as shown in Fig. 18 . The moment-curvature relation of the pile at a dead load of 823 kN was first analyzed (plotted as the 'Target' in Fig. 18) , and then the hyperbolic model was determined to best fit the target curve. The yield moment is 216 kN m and the crushing moment, which is defined as the compressive fiber strain development of 0.25 %, is 232 kN m. The effect of the fluctuation of the axial load on the pile stiffness was not considered in the dynamic analyses. As there was no clear flexural failure near the pile head, and it could be assumed that no large bending moment was acting near the pile head, the pile to pile cap joint was modeled by a hinge.
The time history of the shear force acting on the pile head is plotted in Fig. 19 . The shear force is considerably smaller in Case D-1 than in Case D-2, indicating the significant effect of the stiffness of the surface soil on the lateral support and thus resulting in a reduction in shear stress on the pile head. Figure 20 compares the transmission of the shear force (inertial force) of the building to the shear force of the pile at t=6.7 sec., when the shear force at the pile head takes the maximum value. In Case D-2 where the modulus of deformation E0 was used for the stiffness of the surface layer, about 50% of the inertial force is transmitted to the pile. The shear stress at the pile head reaches 250 kN, which corresponds to the shear Table  1 . Numerical cases cracking force, showing that the computed results can explain the observed damage. In Case D-1 where the secant modulus was used for the stiffness of the surface layer, a larger portion of the inertial force is transmitted to the surrounding soil, and the resulting shear force at the pile head is about 1/3 of the cracking force. These results indicate that in order to evaluate the pile stress due to the inertial force of the building, lower stiffness than that usually used in the dynamic analyses should be used for the stiffness of the surface layer in the dynamic analyses using the SSI model. The time histories of the bending moment at depths of 1 m and 8.5 m, which is roughly the border between the reclaimed fill and the underlying clay, are plotted in 
Numerical Model and Applied Loads
The numerical model, as described in Fig. 24 , is composed of a nonlinear beam representing the pile, a linear beam representing the footing girder, and Winkler type springs representing subgrade reaction. The inertial force was applied to the top of the pile and the support of the Winkler springs was moved by the ground displacements, which were computed by dynamic response analysis using the 1 D soil column model. To determine the inertial force of the building and the axial load of the piles during the earthquake, which was necessary to model the nonlinear stiffness of the piles, a dynamic analysis of the building was conducted. The numerical model is presented in Fig. 25 , which represents the east-west cross section of the building. The columns and beams were modeled by elastic beam elements and the bottom of the columns was allowed free rotation. The fundamental period of vibration was 0.37 sec. and the damping was assumed to be 2% for the fundamental period and to increase proportionally with frequency. The input motion was the computed acceleration in the dynamic analysis of ground at a depth of 0.5 m, which corresponds to the bottom of the pile cap. The computed time histories of the inertial lateral force for a pile is shown in Fig. 26 . The maximum inertial lateral force of 396 kN, which is 0.48 of the gravity load of the building, is about 80% of the inertial lateral force computed in the dynamic response analysis using the SSI model. The fluctuation of the axial force of a pile is shown in Fig. 27 . The maximum fluctuation is 729 kN, which is 0.89 of the axial force due to the gravity load.
The nonlinear moment-curvature relation of the pile was modeled by tri-linear curves, in which the effect of the fluctuation of the axial force was taken into account. Figure 28 shows examples of the moment-curvature relation of the piles for the time section C (t=10.6 sec), where the axial force is 1508 kN for the compressive side and 138 kN for the tensile side.
Parametric Calculations Prior to simulation of the pile stresses during the earthquake, parametric calculations to evaluate the appropriate input parameters were conducted. The selected parameters are the reduction in the Winkler spring due to liquefaction, the degree of pile head fixity, and the reduction in the inertial force transmitted to the pile due to the subgrade reaction to footing girders. The calculations were performed at t=9.5 sec. when a large inertial force of the building as well as large ground displacement were acting at the same time. The nonlinear property of the pile for the tensile side was used. The numerical cases are tabulated in Table 2 .
The initial value of the Winkler spring kho was computed by the following equation (Japan Road Association 1997): The E0 values used are shown in Fig. 2 . In the non-liquefied layer (the reclaimed fill above the water table, the alluvial clay and the diluvial layer), the non-linearity of the spring in terms of spring deformation was considered. In the liquefied layer, the spring was linear but reduction due to liquefaction was considered.
The non-linearity of the Winkler spring in terms of spring deformation was considered in the following way: (2) Where, y: deformation of Winkler spring (cm)
The reduction in the spring constants of the liquefied layer was performed in the following three ways:
(1) proportional to the computed effective stress in the dynamic analysis of ground.
(2) proportional to the square root of the computed effective stress in the dynamic analysis of ground.
(3) 5% of the initial value.
As seen in Fig. 29 the way of scaling the spring constants due to liquefaction does not result in a dramatic difference in pile stresses; a difference in the scaling factor of 0.05-0.45 results in a difference in the pile stresses of about 30% in the reclaimed fill. The deformation of the Winkler springs, however, shows a maximum difference Table 2 . Numerical cases of 5 times. In the analyses hereafter, the spring is reduced in proportion to the square root of the effective stress. The modeling of the pile to pile cap joint is then considered. Seeing the details of the joint and judging from the observed damage, it can be assumed that the boundary is closer to a hinge than a fixed joint. Due to axial compressive force, however, the joint may carry some bending moment. So parametric calculations were conducted for three boundary conditions at the pile head:
(1) hinge: Case S-1, S-6 (2) fixed boundary: Case S-4, S-7 (3) half fixed boundary: Case S-5, 5-8
As they non-linearity of the pile property is included, the definition of the 'half fixed boundary' is far from simple. In these calculations, the bending moment was first computed by an elastic pile with a fixed pile head condition, and then a half of the computed moment at the pile bead was applied as an external force to the hinge model. The computed bending moment, shear force, and spring deformation, are plotted in Figs. 30 and 31. The pile head fixity affects the stresses of the pile and the spring deformation in the 2-3 m zone from the pile head (about 5 times the pile diameter). The maximum bending moment due to the inertial force for the hinge condition is as large as 1.7 times that for the fixed boundary condition. The stresses of the pile due to ground displacement show little difference between fixed boundary and half fixed boundary conditions. Stress of Pile during Earthquake Analyses of the pile stresses were conducted at the four shaking times A, B, C, D tabulated in Table 3 . As shown in Fig. 14 , the ground surface acceleration and the displacement take peak values at these times, while the absolute values of these responses and the degree of liquefaction are different. The inertial force together with the ground displacement at each time were applied to the numerical model. The ground displacements, which are plotted in Fig. 33 , are those computed in the dynamic analysis of the soil column model as shown in Fig. 12 . The applied inertial forces are those computed in the dynamic analysis of the building model, after deducting 117 kN per pile as the subgrade reaction at the embedded footing girder. The applied inertial force is 51-66% of the total inertial force of the building. The nonlinear moment-curvature relation of the pile was computed for the axial load at each time and modeled as tri-linear curves. Analyses were conducted for the piles of the tensile side and the compressive side separately. Two pile head boundary conditions, a hinge and a half fixed, were used. Figures 34 and 35 show the bending moment and the shear force on the pile at each time, for the compressive side and the tensile side. When the pile head is modeled by a hinge, the computed bending moment around a depth of 2 m exceeds the cracking moment on the tensile side, while it is within the cracking moment for the half fixed condition. As there were no clear cracks observed at a depth of 2 m, the half fixed condition for the pile head 
